Compression tests were conducted on two reduced-scale orthotropic plates to verify the design strength of steel box girders for the new San Francisco-Oakland Bay Bridge. The first specimen was composed of three longitudinal closed ribs and a top deck plate. It failed in global buckling, followed by local buckling in the deck plate and ribs. The second specimen, which was composed of four longitudinal T-shaped ribs and a bottom deck plate, experienced global buckling as well as local buckling in the ribs and the deck plate. The ultimate strength and failure mode of both specimens were evaluated by two bridge design specifications: the 1998 AASHTO load and resistance factor design specification and the 2002 Japanese JRA specification. Findings from code comparisons showed that: ͑1͒ Sufficient flexural rigidity of ribs were provided for both specimens; ͑2͒ the JRA specification slightly overestimated the ultimate strength of both specimens; and ͑3͒ neither specifications predicted the observed buckling sequence in Specimen 2. A general-purpose nonlinear finite element analysis program ͑ABAQUS͒ was used to perform correlation study. The analysis showed that the ultimate strength and postbuckling behavior of the specimens could be reliably predicted when both the effects of residual stresses and initial geometric imperfections were considered in the model.
Introduction
The new East Span of the San Francisco-Oakland Bay Bridge ͑SFOBB͒, designed by the joint venture of TY Lin International and Moffatt & Nichol, features a 565 m long single tower steel self-anchored suspension bridge with a main span of 385 m ͑see Fig. 1͒ . The cable is anchored to the deck at the east bent and is looped around at the west bent. The suspenders spaced at 10 m are splayed to the exterior sides of the steel orthotropic box girders, and floor beams are spaced at 5 m inside the box girder. Two box girders, which are interconnected with cross beams at 30 m on center, are in compression in order to balance the cable tension forces. The seismic force demand on the box girders due to a 1,500 year safety evaluation earthquake ͑SEE͒ event is large; the demand-to-capacity ratio of the compressive stress at some locations was estimated in design to range from 0.8 to 1.0. Fig. 2 shows three different types of longitudinal ribs ͑troughs, structural tees, and flat plates͒ that are used to stiffen the deck plates.
Flat plates and structural tees are denoted as open ͑torsionally soft͒ ribs, and troughs are denoted as closed ͑torsionally stiff͒ ribs, which are more efficient than the former in distributing wheel loads on the top deck plate.
The box girders in the new Bay Bridge can experience one or a combination of the following buckling modes: 1. Overall buckling of the box girder between the main tower and the anchor of the cable; 2. Buckling of the deck plate between floor beams; 3. Buckling of the deck plate between ribs; and 4. Buckling of ribs. This experimental program focused on the investigation of the compressive strength and postbuckling behavior of stiffened deck plates to ensure that buckling would not occur before the yield Fig. 1 . Bridge elevation capacity of the deck plate was reached. Reduced-scale tests on two orthotropic plates that simulated a portion of the top and bottom decks ͑see Fig. 2͒ were conducted. The ultimate strength and the observed failure mode were compared with those predicted by two bridge codes: the AASHTO load and resistance factor design ͑LRFD͒ specification ͑AASHTO 1998͒ and the Japan Road Association ͑JRA͒ specification ͑JRA 2002͒. A correlation study using a nonlinear finite element analysis program ͑ABAQUS͒ was also performed.
Literature Review
Extensive research on the compressive strength of orthotropic plates has been conducted in Europe since early 1970s. These research activities ͓e.g., Horne and Narayanan ͑1976͒ and Moolani and Dowling ͑1976͔͒ focused mainly on the significance of parameters such as plate and rib geometric imperfections, width-thickness ratio, slenderness ratio, and residual stresses. The testing program conducted at the University of Manchester ͑Horne and Narayanan 1976͒ included 52 stiffened plates with different rib types ͑e.g., flats, bulb flats, angles, and tees͒ and welding processes. Test results were compared with the Merrison rules ͑Merrison Committee 1973͒, which idealize an orthotropic plate as a series of individual struts; each strut is composed of a rib and a plate with a certain width. Comparisons showed that the Merrison predictions for the ultimate strength were conservative for low slenderness and width-thickness ratios and unreliable for high slenderness and width-thickness ratios.
In Japan, stiffened steel plates are used not only in bridge superstructures but also in steel bridge piers. A significant amount of the research ͑Fukumoto et al. 1974; Hasegawa et al. 1976; Yamada et al. 1978; Watanabe et al. 1981; Nakai et al. 1984; Kitada et al. 1991͒ was focused on analytical and experimental investigations of the ultimate strength of stiffened plates composed of either open or closed ribs subjected to uniaxial or biaxial compression. Several empirical formulations were proposed to predict the ultimate strength. These studies used the flexural rigidity of ribs as a common parameter, which is useful for rib design. However, the minimum stiffener rigidity does not necessarily give an optimum design ͑Watanabe et al. 1981͒. Grondin et al. ͑1999, 2002͒ studied T-shaped stiffened plates under compression. When the effects of residual stresses and geometry imperfections were considered, nonlinear finite element models were found to be able to predict the ultimate strength and postbuckling behavior of the test units. It was reported that overall buckling of the stiffened plates is a preferred failure mode than the buckling of ribs or plates because the postbuckling behavior of the former is more stable.
Galambos ͑1998͒ summarized important research work on stiffened plates under compression. The minimum moment of inertia of the T-shaped ribs, required to ensure an antisymmetric buckling mode of the stiffened plates, was investigated by Yoo et al. ͑2001͒ . Ignoring the effects of residual stress and initial geometric imperfection, results from elastic finite element analyses showed that the required moment of inertia of the ribs in accordance with the AASHTO specifications ͑AASHTO 1998͒ is too conservative.
Objectives
The objectives of this study were ͑1͒ to verify experimentally the design capacity of the stiffened plates; ͑2͒ to examine whether local buckling of longitudinal ribs would occur before global buckling of the stiffened plates; and ͑3͒ to evaluate the postbuckling behavior of the stiffened plates for the box girders of the new SFOBB east span. Test results of two scaled specimens were compared with those predicted by two design specifications and finite element analyses.
Test Specimens
The axial load of each specimen was applied vertically by a horizontal loading beam, which was pin connected to a reaction wall at one end ͑Fig. 3͒. The compression load was provided by two 2,000 kN actuators at the other end of the loading beam. Pin supports were provided at the top and bottom ends of the specimens. The specimens were also braced laterally at midheight by a diaphragm plate to simulate the floor beam action in the box girder. Such a configuration would allow the effect of buckling direction to be considered in one test. The cross sections of both specimens are shown in Fig. 4 . ASTM A709 Grade 345 ͑50 ksi͒ steel was specified; the material characteristics obtained from certified mill test reports are listed in Table 1 .
Specimen 1, with a scale factor of 0.45, was composed of three closed ribs and a top deck plate. Partial-joint penetration groove welding between the closed ribs and the deck plate was performed by an automated SAW welding process. Specimen 2, with a scale factor of 0.475, was made up of a bottom deck plate and four T-shaped ribs, each of which being built up by a web plate and a flange plate. To avoid localized yielding and buckling, each specimen was strengthened by stiffeners at loading ends. Sectional properties for both actual and target models are listed in Table 2 .
Because each specimen was located at the midspan of the loading beam, the compression force is twice the actuator forces. The axial deformation ͑⌬͒ of the specimen was computed as the average of two measurements made by a pair of displacement transducers placed along both edges of the specimen. In this paper, positive bending direction is defined as the bending about which the deck plate of the specimen is in compression. The upper panel is defined as the portion of the specimen above the midheight. 
Test Results

Specimen 1
The applied load versus axial deformation relationship of Specimen 1 is shown in Fig. 5͑a͒ . The maximum strength, 371 MPa ͑54 ksi͒, was reached at ⌬ϭ14 mm ͑0.55 in.͒ with the specimen buckled in reverse curvature ͓Fig. 6͑a͔͒. Fig. 7͑a͒ shows the strain profiles across the width of the deck plate at the midheight of the upper panel, indicating that the full width of the deck plate was effective in resisting the compression load. The functional evaluation earthquake ͑FEE͒ and SEE force demands are marked. As the imposed axial deformation was increased further, local buckling of the ribs in the lower panel and the deck plate in the upper panel was observed at ⌬ϭ17 mm ͑0.68 in.͒ and 23 mm ͑0.90 in.͒, respectively. The symmetric, bulging configuration of the buckled ribs in Fig. 8͑b͒ was compatible in deformation with the buckling pattern of the deck plate schematically graphed in Fig. 9͑a͒. Fig. 8͑c͒ shows the buckling of the ribs that occurred near the upper end of the lower panel; note that the deck plate did not buckle. Also note that the configuration of the buckled rib is different from that shown in Fig. 8͑b͒ for the upper panel. The difference was primarily caused by the direction of bending ͓Fig. 8͑a͔͒ after the maximum strength of the specimen was reached ͑Chou et al. 2003͒.
Specimen 2
The applied load versus axial deformation relationship of Specimen 2 is shown in Fig. 5͑b͒ , in which the ultimate compression strength, 417 MPa ͑60 ksi͒, was reached at ⌬ϭ17 mm ͑0.64 in.͒. The specimen also buckled in reverse curvature ͓Fig. 6͑b͔͒. Fig. 7͑b͒ shows the strain profiles across the width of the deck plate at the midheight of the upper panel, which indicates that the full width of the deck plate was also effective in carrying the compression load. Buckling of the T-shaped ribs, similar to a torsional type of buckling mode, was observed in the lower panel ͓Fig. 10͑a͔͒, but not in the upper panel ͓Fig. 10͑b͔͒. This buckling mode was initiated by the particular ͑i.e., negative͒ bending direction, which introduced additional compressive stress in the lower-panel ribs. The buckling of these T-shaped ribs caused the lower panel to twist at ⌬ϭ20 mm ͑0.8 in.͒. Such a phenomenon was not observed in the upper panel. Instead, local buckling of the deck plate with the ribs forming the nodal lines was observed at 28 mm ͑1.1 in.͒ ͓Fig. 9͑b͔͒. Fig. 11 shows twisting of the lower panel, local buckling of the upper-panel deck plate, and buckling of the ribs in the lower panel.
Strength Correlation with Code Provisions
The measured strengths and buckling modes of the test specimens were compared with those predicted by the following specifications: ͑1͒ AASHTO-LRFD bridge design specification ͑AASHTO 1998͒, and ͑2͒ Japanese design specification ͑JRA 2002͒. To compute the compressive strength, a stiffened plate is treated as a series of disconnected struts; each strut consists of one longitudinal rib and a tributary width of the deck plate.
AASHTO-LRFD Bridge Design Specification
"AASHTO 1998… Section 6.14.3.3.3 stipulates that the strut be designed as a compressive member simply supported between floor beams, while local buckling strength may be evaluated by using the formulas in Appendix II of the Design Manual for Orthotropic Steel Plate Deck Bridges ͑Wolchuk 1963͒. The elastic buckling stress of a simply supported strut is
where L, r, and Eϭlength of the specimen, radius of gyration about the axis of bending, and modulus of elasticity. When the elastic buckling stress exceeds the proportional limit stress ͑ϭ75% of the yield stress, F y ͒, the inelastic buckling stress, F u , of the strut is computed as.
To evaluate the local buckling strength, the cross section of the strut is divided into several components. Fig. 12 shows the dimensions and boundary conditions of each component; see Table 3 for the associated buckling coefficient k values for Eq. ͑3͒. The elastic buckling stress, F i , of a plate simply supported at loading edges is given by
where k, t, d, and ϭbuckling coefficient, plate thickness, plate depth, and Poisson's ratio. When the stress in Eq. ͑3͒ exceeds the proportional limit stress, the inelastic buckling stress, F u , is computed as ͑Wolchuk 1963͒
Based on the above procedure, the calculated stresses for both local and global buckling modes are summarized in Table 4 .
Since the yield strengths of the deck and rib plates are different, for global buckling the average yield strength, computed as the yield capacity divided by the total area ͑Table 5͒, was used. The calculations predicted that for Specimen 1 global buckling and local buckling of the deck plate occurred almost at the same time, and that Specimen 2 buckled globally first, which was followed by local buckling of the web plate, causing twist of the T-shaped ribs.
Japanese Design Specification
Sections 8.4.4-8.4.6 of the JRA specification ͑JRA 2002͒ specifies the minimum thickness of the prototype deck plate and closed ribs ͑U-shaped type͒ to be 12 and 6 mm, respectively, which corresponded to a width-thickness ratio of 27 and 40 for the deck and rib plates, respectively. The width-thickness ratios of Specimen 1 in Table 6 indicate that this compactness requirement is satisfied. Therefore, the compressive strength can reach the yield strength. According to Sections 4.2.4 and 4.2.5 of the JRA, the ultimate strength of a uniformly compressed plate stiffened with open ribs ͑T-shaped type͒ is computed as follows:
The buckling coefficient, k, is a function of the number of subpanels, n, the aspect ratio, ␣, the area ratio of one rib to the deck plate, ␦, and the flexural rigidity ratio of one rib to the deck plate, ␥ l . The calculated values of k and R in Table 7 indicate that the yield strength can be reached. Also, a comparison of the moment of inertia of the rib ͑I r ͒ with that required ͑I min ͒ by the JRA The predicted strengths based on the two specifications are marked in Fig. 5 . For Specimen 1, the JRA specification predicted that the yield strength could be reached. But the measured ultimate strength is better predicted by AASHTO-LRFD. This specification also predicted that global buckling and local buckling of the deck plate ͓Table 4͔ occurred almost simultaneously; this prediction is close to the observed buckling sequence.
The JRA specification also overestimated the capacity of Specimen 2. The predicted strength of AASHTO-LRFD is slightly conservative. Both specifications predicted that global buckling, not local buckling, would occur first.
Finite Element Analysis
Both test specimens were modeled with the nonlinear finite element computer program ABAQUS ͑HKS 2001͒; the four-node doubly curved thin shell element S4R was used. Because the initial geometric imperfections and residual stresses have The residual stresses were introduced in the model by defining initial stresses across the thickness of shell elements. The measured geometric imperfections between the center and the end of the respective deck plate were about 9 and 6 mm for Specimens 1 and 2, respectively, which were less than the tolerance limits of 11 and 9 mm, calculated based on Section 11.4.13.2 of the Standard Specifications for Highway
where bϭwidth of the deck plate and t g ϭdeck plate thickness.
The measured geometric imperfection of each specimen was approximated by applying a uniform pressure perpendicular to the deck plate to mimic the deformed pattern and the magnitude. Three models were considered for each test specimen. Ignoring the effects of both geometric imperfections and residual stresses in the first model, the ideal yield capacity of the specimen could be reached before strength degradation ͑see Fig. 5͒ . By considering only the initial geometric imperfections in the second model, the predicted ultimate strength and elastic stiffness were slightly lower than those of the first model, but were higher than the test results. When both effects were considered in the third model, the predicted response correlated well with the peak strength and the postbuckling behavior ͑Fig. 5͒. Numerical simulation from the second and third models showed that the effect of residual stresses is more significant than that of geometric imperfections in the buckling behavior.
The predicted buckling modes were similar to those observed in the tests ͑Figs. 14 and 15͒. Different local buckling modes in the rib plate due to the effect of bending direction were predicted in Specimen 1 ͓see Figs. 14͑b and c͔͒. For Specimen 2, twisting of the T-shaped ribs in the lower panel and local buckling of the deck plate in the upper panel were also predicted ͓see Figs. 15͑a and b͔͒. 
Conclusions
Two reduced-scale, longitudinally stiffened plates that simulate a portion of the top and bottom deck plates of the steel box girders for the east span of the New San Francisco-Oakland Bay Bridge were tested to evaluate the compressive strength and postbuckling behavior. The first specimen incorporated a top deck plate and three closed ribs ͑troughs͒, while the second specimen incorporated a bottom deck plate and four open T-shaped ribs. To evaluate the effect of buckling direction in the test, each specimen featured a two-span configuration with the midspan supported laterally to simulate the floor beam effect.
The compression test results showed that the deck plate of both specimens could reach yield before local buckling occurred. For Specimen 1, the strength degradation was due to global buckling, local buckling of the closed ribs in one span, and local buckling of the deck plate in another span; the different local buckling modes observed in each span reflect the effect of bending ͑or buckling͒ direction. For Specimen 2, the strength degradation was caused by buckling of the T-shaped ribs in one span and local buckling of the deck plate in another span.
The ultimate strengths of both specimens were compared with those predicted by two design specifications. The JRA specification tended to overestimate the strength. The AASHTO-LRFD specification provided a better estimate of the strength. Although this specification also predicted the buckling mode of Specimen 1, neither it nor the JRA specification predicted the observed buckling sequence in Specimen 2.
Correlation study using a nonlinear finite element analysis program (ABAQUS) confirmed that a reliable prediction of the ultimate strength and postbuckling behavior requires that the effects of both residual stresses and geometric imperfections be considered. Numerical simulation also showed that the effect of residual stresses is more significant than that of geometric imperfections considered in this study.
